The assessment of low engineered masonry infilled reinforced concrete frame (LE-MIRCF) buildings is explored using a finite element based modelling technique that enables the representation of the masonry infills in a nonlinear finite element analytical environment. A mezo-modelling approach has been developed and implemented for the masonry infills, while fibre elements are used to represent the reinforced concrete members and a spring element for the interface between these and the masonry. The methodology developed also specifically enables for the identification of the onset of shear failure in the columns.
INTRODUCTION
A review of the techniques found in the literature, for the analysis of masonry infilled frames [1] , has revealed that to date, proposed strategies are not entirely suitable for the seismic assessment of Low Engineered Masonry Infilled Reinforced Concrete Frame (LE-MIRCF) constructions. This principally stems from the fact, that the earthquake engineering community, has so far relied heavily upon the inclined strut approach and its variants, to represent masonry infills in numerical models. However, the inability of the latter technique to predict suitable estimates of the actual action effects within the reinforced concrete members must be considered as a serious drawback for its use in assessing the performance of LE-MIRCF structures subjected to significant ground motions. Especially so, as post earthquake observations, showed that significant damage in these buildings invariably took the form of local failure in the reinforced concrete columns, induced by the interaction effects with the masonry infills [2] . Therefore, the present research is devoted to presenting the development and implementation, of a specific element suitable for modelling masonry infills in the seismic assessment of LE-MIRCF buildings. Its inclusion in a widely used analytical platform in the field of earthquake engineering being considered an essential prerequisite of its appeal. Furthermore, a methodology has also been outlined to describe its use in a performance based assessment framework of LE-MICRF buildings.
NUMERICAL ENVIRONMENT
The main goal of the solution procedure is to allow for a better representation of the action effects within the frame elements, originating from the interaction with the masonry infills. It was therefore decided to employ a distributed plasticity type fibre element, in modelling the cross sections, as it accounts rationally for the interaction between axial force and biaxial bending. In this way the location of non-linearity within the elements is automatically taken into account and not assumed at the start of the analysis, as with a lumped plasticity approach. Moreover, the modelling of the spatial distribution of the masonry infills is also considered to be of significant importance in the seismic assessment of LE-MIRCF constructions, and therefore a numerical environment was sought which would allow solutions to be attained in three dimensions. Therefore, the widely used application DRAIN-3DX [3] was selected, also due in part to its open source code.
MODELLING THE REINFORCED CONCRETE ELEMENTS
The fibre element used in the present study to model the reinforced concrete members, was element 15 of DRAIN-3DX [4] . The element is essentially of the distributed plasticity type, accounting for the spread of inelastic behaviour over the cross sections and along the member length. This is in contrast to a lumped plasticity model where the inelastic behaviour is concentrated in zero length plastic hinges. In constructing the model of any member, the deformable part of the element is divided into a number of segment lengths, and behaviour is monitored at the centre cross section of each segment. The cross section properties are assumed constant within each segment, but can vary from segment to segment.
The cross section is then either defined as being completely elastic or it is divided into a number of fibres that have nonlinear stress-strain relationships of concrete or steel applied. The material models account for yielding of steel, including strain hardening, for cracking and crushing of concrete, including post-crushing strength loss, and for tension stiffening of concrete. The accuracy of the model increases with the number of segments along the element length, the number of fibres in each cross section, and the number of points on each material stress-strain curve. However, naturally the trade-off in computational cost increases substantially. Moreover, P-Delta effects can also be included in the element results.
Though, the element also has the ability to include connection hinges at the element ends, simulating the deformations that occur at member intersections, the data required to implement this approach is very hard to come by. Hence, this option was not considered as being viable and was not used throughout the study, as it was felt that insufficient data was given in the literature to use this feature effectively. Neglecting the reinforcement slip in the member ends may prove unconservative however. This is partly counteracted by modelling the elements at the centre-lines of the members, which results in a larger member length and hence larger overall deformations.
The stress versus strain curve for each material is represented in a piecewise manner. Strengths of concrete fibres can be specified to decrease after a maximum strength is reached. The element is however unable to capture a number of potentially important aspects of beam-column behaviour. These include the fact that the element assumes that plane sections remain plane and uses this as a kinematic constraint to express the degrees of freedom of the various points of a cross-section in terms of the three deformations of the section, meaning that within the body of the element, bond-slip is assumed to be zero and thus full composite action is assumed. Furthermore, though shear deformations can be included, the shear behaviour is assumed to be elastic as is that in torsion.
MODELLING OF THE MASONRY INFILL PANEL
Though the infills heavily influence the structural behaviour of LE-MIRCF constructions, it is not their own detailed response which is of concern. Rather, it is their effect on the surrounding framing members that ultimately causes failure and is of immediate interest in this case. Thus, since the overall solution was geared towards enabling the geometric representation of an entire structure, a mezo-modelling approach was adopted for the masonry infills
The properties of masonry are significantly influenced by a large number of factors, including material and dimensional properties of the units and mortar, arrangement of bed and head joints and quality of workmanship amongst others, Hendry [5] . Hence, the use of sophisticated numerical models as opposed to more practical means of analysis is arguable in the context of a complete and actual construction. Especially so, as obtaining reliable and useful experimental data for numerical models from the literature, or from actual site measurements, is no easy task. Consequently, in proposing a suitable model for the masonry infill, allowance was made to the fact that the required approach be based on the minimum number of parameters which can be evaluated with the desired degree of accuracy and reliability, within the framework of a professional assessment of an average LE-MIRCF structure.
Masonry can be regarded as a homogenous material, as long as the size of the element considered is substantially larger than the size of its constituent materials. In the modelling approach adopted, each finite element therefore represents several bricks and mortar joints, as shown in Fig. (1) . The element model was numerically implemented by using a four noded three dimensional isoparametric membrane element. This element was used in preference to using the three dimensional shell element as it is continuously observed in post event field reports that damage in the infill panels occurs primarily in the plane of the infills, which eventually leads to their failure, as opposed to out-of-plane failure, which is a much rarer occurrence for infills held entirely in the plane of a column line.
The isoparametric membrane element as coded in FEAP [6] was then implemented into DRAIN-3DX [3] . A 2 x 2 Gaussian integration rule was considered as providing the optimum solution between computational efficiency and accuracy of the results, as suggested in Kotsovos and Pavlovic [7] . Geometric nonlinearities were not included, limiting the analysis to small deformation situations with infinitesimal strains, as it was considered that masonry is not able to sustain large deformations without severe damage.
Modelling of the Compressive Behaviour of Masonry
A review of masonry characteristics in compression [5, 8] , evidences the sheer variability, for even the simplest of quantities under the most basic of loading conditions. This stems directly from the numerous parameters which play a part in determining the overall characteristics of the masonry matrix. Matters are only compounded further, due to the fact that masonry exhibits distinct directional properties, due to the different geometrical arrangement of units and mortar in either orthogonal direction, the latter acting as planes of weakness, thus resulting in an anisotropic constitutive behaviour [9] .
A further significant fact which the analyst has to contend with in analysing masonry structures is the endless range of unit and mortar combinations encountered. Clearly this has severe implications when trying to model the material, as effectively each situation is really representing a different material matrix with different properties. When added to the aforementioned factors that affect the masonry properties in-situ, the task of providing a tool which is suitable for general use is truly daunting. Yet, the main problem with masonry modelling remains the lack of reliable test data under realistic conditions. Although a generally accepted constitutive model for masonry analysis is not found in the literature, several approaches are encountered, each having merits and limitations. Invariably however, the different assumptions made in establishing the various criteria, yield to widely varying results, and calibration often becomes impossible. It is therefore unlikely that a model applicable to all problems under all states of stress exists. Clearly then, depending on the purpose of the analysis, it is up to the analyst to choose an appropriate modelling technique.
Keeping in mind the behavioural characteristics, all the aforementioned limitations and the primary goal of the analytical solution, (i.e. to enable a better prediction of the action effects within the frame members), it was therefore decided that a generic, simple, robust and efficient approach in describing the masonry behaviour in compression, was to apply an elasto-plastic approach with or without hardening, resulting in the idealised stress-strain relationship shown in Fig. (2) . Fig. (2) . Schematic idealisation of a typical stress-strain curve for brickwork masonry in compression, overlaid on particular stress stain curves for different masonry types, as reported in [8] .
Elastic Material Response
Though as previously mentioned it is understood that the behaviour of masonry is anisotropic, the rationale of using an isotropic relationship in the elastic range is due to the fact that with the given masonry materials the confident determination of all the properties required to describe the material numerically cannot be assured and this will be expanded on in the following section. Therefore, the relationship between stress and strain used is given by the standard linear elastic expression for plane stress extended to matrix format for the three dimensional membrane element [10] .
Yield Criterion
The physical properties of masonry assemblages are found from the results of experiments on specimens which have only been subjected to the simplest stress conditions. Subsequently, various criteria are developed as hypotheses, in order to predict the response of a masonry structure under any condition of applied stress, and their subsequent validation is done through further tests. This is a determining factor in choosing an appropriate modelling strategy for masonry, because the apparent advantages of using a very sophisticated approach can be rendered meaningless, if no relevant test data is available for input.
The strength of masonry under stress combinations has been the subject of many investigations and a wide variety of failure criteria have been proposed. These range from critical stress based approaches, such as when the stress at a particular point exceeds the masonry compressive stress, critical strain, critical distortion energy and to complex energy based expressions and fracture mechanics concepts [11] .
Masonry is essentially an anisotropic material, yet as stated by Hendry [5] , determination of masonry strength under biaxial stress conditions requires specialised equipment and is not often reported in literature. This is because to fully define the behaviour of masonry, a large number of tests under a range of biaxial stress states needs to be performed [12] , which poses considerable experimental difficulties both in the complexity of the test set-up and the number of tests required. Since what is ultimately needed is the definition of a failure surface for masonry subjected to biaxial stresses.
Indeed, even by just considering a simple model, such as those proposed by Page [13] , the number of strength parameters needed, as shown in Fig. (3) , include:
Uniaxial compression strength parallel to bed joint.
(ii) Uniaxial compression strength perpendicular to bed joint.
(iii) Determination of a coupling parameter between the normal compressive stresses. Determination of a weighting parameter for the shear stress contribution to compressive failure.
Models in the literature along the same lines are found in [12, [14] [15] [16] , with the most advanced model by Lourenço [9] , which needs a total of seven strength parameters including those for the tensile branch.
When the relevant material data is available, the implementation of such a model would definitely provide superior results, as against those obtained from a simpler one. HowIdealised stress-strain curve ever, in light of the previous discussion on the strength of masonry in compression, it is not a certainty that this could also be translated into practice for masonry infills in LE-MIRCF constructions. This is because it is highly unlikely that the required test data would be available, due to the haphazard nature of the masonry infill construction, which is clearly shown in Fig. (4) . Indeed, many of the previously mentioned references are based on Page's [13] original failure surface, which was derived for solid units, and hence significant variation is expected for perforated units. This is confirmed by Lourenço [9] , who remarks that even experiments on the biaxial behaviour of individual bricks and blocks are absent in the literature, due in no small measure to the orthotropy of perforated units. This is so even if the behaviour of the material from which the unit is made is completely characterised. 
Fig. (4).
The haphazard nature of the masonry infill matrix to be modelled is clearly seen from these photos taken in Bingol, Turkey, by the author. Where head joints are often missing and bricks are laid in an irregular manner. Clearly, obtaining relevant data for such a material is a challenge.
Thus, though failure theories for isotropic materials will not ensure accurate estimates for masonry structures under biaxial stresses, (because they are derived on the basis of the invariant state of stress concept, where the stress orientation has no effect on the strength), the masonry model based on average properties is likely to result in estimates with the same level of reliability when detailed material information is missing for the particular problem at hand. Moreover, it is only towards the ends of the compressed diagonal that a state of bi-axial compression exists, whilst towards the central area of the panel, a state of compression-tension prevails, [11] . And as remarked by Page [17] , the shape of the failure surface for the biaxial tension-compression principal stress region is significantly influenced by the shear and tensile bond strengths of the mortar joints. Quantities which have always fallen foul of a large coefficient of variation in test results.
It was therefore considered appropriate to employ a yield criterion for an isotropic homogenous material, where a couple of test results would suffice to characterise the material behaviour. The general form of the yield criterion, indicating the stress level at which plastic deformation commences is generally postulated as:
Where f is a function of the stress vector σ, k is a material parameter that is determined experimentally and κ is the hardening parameter which ultimately governs the expansion of the yield surface. As previously mentioned the failure criterion for isotropic materials should be independent of the coordinate system used, and should therefore be based on an invariant function of the state of stress. In this study the Drucker and Prager [18] yield criterion was implemented.
Post-Peak Behaviour
A relationship between stress and strain must also be developed for the post-peak behaviour, when the deformation includes both an elastic and plastic component. In order to construct a stress-strain model for a material displaying such complex behaviour as masonry, the classical theories of hardening plasticity can be used as a first step. However, it must be borne in mind that what is achieved is merely an idealisation of actual masonry behaviour, and thus when comparisons are drawn with experiments, what is sought and hopefully achieved is agreement in trends and not in details. In order to enable the numerical implementation of the proposed model the method detailed in Owen [10] was employed.
In this case the normality of the plasticity deformation rate vector to the yield surface was assumed for masonry, in order to construct the stress-strain relationship in the plastic range. However, this associated flow rule was considered predominantly for practical reasons due to its resulting simplicity, since there is very little supportive experimental evidence available. Indeed, experimental observations indicate that the normality condition is an acceptable assumption for metals, but the question of normality for materials with a conical failure surface is not complied with, but it allows the use of simplified relationships. Nevertheless, it is a strategy that is commonly assumed for modelling masonry in the non-linear range, as evidenced in various studies [15, 16] .
The Crushing Condition
When the effective stress, defined by the yield function, reaches the ultimate stress f' c , a perfectly plastic response is assumed until the crushing surface is encountered. Beyond a certain strain it is observed that masonry crumbles and the nonlinear constitutive relations are no longer applicable and the material suffers from compressive crushing. However, the exact nature of material response beyond failure is still only qualitatively understood and therefore a physical representation is frequently employed to allow for stress redistribution. In compression, the material loses its strength in all directions upon satisfaction of the given criterion.
The crushing type of masonry fracture is a strain controlled phenomenon. The lack of experimental data on masonry ultimate-deformation capacity under multiaxial stress states has resulted in the appropriate strain criterion being developed by simply converting the yield criterion described in terms of stresses directly into strains, as was suggested by Owen and Figueiras [19] for concrete, where:
In equation (3), I' 1 and J' 2 are strain invariants and ε u is an ultimate total strain extrapolated from uniaxial test results. When ε u reaches the value specified as the ultimate strain, the material is assumed to lose all its characteristics of strength and rigidity, as shown in Fig. (5) . 
Modelling of the Tensile Behaviour of Masonry
Hendry [5] shows that the resistance of masonry to tensile or shear stresses is dependent on the bond between the mortar and masonry units, and that the mechanism is known to be influenced by a large number of factors. Furthermore, it is also noted that most investigations available in the literature are of a phenomenological nature applying to specific combinations of materials. Significantly however, in assessing the available published experimental data to determine the tensile bond strength of masonry, Hendry [5] comments on the extreme variability of the quantity.
Clearly, for most applications, and definitely for the case of LE-MIRCF constructions, the tensile strength of masonry is relatively small and unreliable. Consequently, in the present study, concern was not directed in its particular value, but rather on the influence of the cracked masonry zones on the overall structural behaviour, especially in respect to the induced action effects within the frame elements. Therefore, an average representation for cracked masonry was sought for, implying that cracks are not discrete but distributed across an area of material. In simulating the stress-strain relationship of masonry in tension, it was therefore concluded that a linear-elastic fracture model including a tension cut-off criterion would be sufficient. Under tensile stresses, the response was then assumed to be linear elastic until the cracking limit is encountered, i.e. upon reaching the specified masonry tensile strength f' t , as shown in Fig. (5) .
As regards masonry mezo-modelling it follows that to take account of the non-homogenity of masonry, the minimum element dimension should encompass at least one mortar joint and half a brick height-wise, similarly length-wise. There is also a logical upper bound defined by the adequacy of geometrical representation and the analyst's engineering intuition. Within these limits, the results obtained from the implementation of strength criteria are usually consistent. Furthermore, as was also the case for the compressive modelling of the masonry, expecting to obtain reliable data on the fracture energies for the masonry panels shown in Fig.  (4) is arguable at best.
Tensile Post-Fracture Model
Cracking is a fundamental source of nonlinear behaviour of many masonry structures and two distinct approaches are encountered in the literature that consider tensile failure or cracking, namely discrete cracking and smeared cracking models. Numerical crack simulation using the discrete crack approach was first used by Ngo and Scordelis [20] .
The discrete crack model is a better choice if the mortar joints and bricks are individually modelled so that the mesh is refined where cracks are expected. It is also a good technique if the local behaviour, local stresses and crack sizes are more of interest than the overall behaviour, load deflection curves and ultimate strength. The smeared crack model was first introduced for plane stress problems by Rashid [21] . In this approach, once the cracking criterion has been satisfied, the material loses its stiffness in a direction parallel to the principal tensile stress. In the perpendicular direction, the material retains its loadcarrying capacity.
Crack representation is not realistic and crack boundaries are not well defined as it is not clear where a crack starts and to what extent it has propagated within an element. Therefore, local behaviour is not accurate and precise characteristics of a crack cannot be traced. On the other hand the smeared crack technique is best suited to the assessment of overall structural response in large assemblages and when used with isoparametric elements, is extremely versatile, efficient and economical. It was therefore decided that the smeared cracking approach was the best option for this study and hence was implemented in the modelling technique.
The approach implemented followed Owen and Figueiras' [19] work extended to the 3D case for the membrane element. In so far as the value of the cracked shear modulus, G c , which represents the reduction in shear strength due to the opening of a crack, in the present work the cracked shear modulus was assumed to be a function of the current tensile strain. Therefore, for masonry cracked in the 1-direction,
where G is the uncracked masonry shear modulus and ε 1 is the tensile strain in the 1-direction.
For masonry cracked in both directions,
If the crack closes, the uncracked shear modulus G is again assumed in the corresponding direction. Finally, as the cracked masonry is anisotropic a transformation matrix is used to perform the transformation of quantities from the material system of axes to the local reference system of axis.
In reality, both the application of load and the stress redistribution within the masonry matrix is gradual, however this is not necessarily the case for the numerical solution. Therefore, in order to limit the possibility of numerical instabilities which tend to arise due to the sudden release of a high tensile stress due to crack initiation, a procedure for the gradual release of the tensile stress has been implemented, which is termed strain softening. There is a considerable controversy regarding the value of strain at which stress is zero, and regarding the shape of the descending branch. However, for simplicity, the gradual release of the stress component normal to the crack plane which has been adopted in this work is that as shown in Fig. (6) , and is derived from the work by Owen and Figueiras [19] . The process of loading and unloading of cracked masonry is also shown in Fig. (6) . Unloading and reloading of the cracked masonry is assumed to follow a linear behaviour, with a fictitious elasticity modulus E i given by the relation detailed in Owen and Figueiras [19] , as:
where α, ε m are the strain softening parameters and ε i is the maximum value reached by the tensile strain at the point considered. If the strain component normal to the crack plane becomes negative, and therefore the crack closes, the masonry acquires the uncracked behaviour in the corresponding direction, but the crack direction and the maximum tensile strain continue to be stored.
The normal stress σ 1 or stress σ 2 are obtained by the following expression:
or by
where ε i is the current tensile strain in the material.
A Note on the Shear Strength of Masonry
As the unit and mortar geometries are not directly modelled, due to the fact that the number of masonry courses are not explicitly accounted for when using the mezo-modelling technique, failure is associated with tension and compression modes in a principal stress space, since the presence of the mortar joints is averaged within a finite element. Though this effectively means that shear failure within the mortar joint is not directly represented, it is indirectly taken into account.
Tomazevic [8] reports of the approach used, which defines the shear strength as the maximum value of principal tensile stress developed in a masonry wall of a specified geometry. Wherein, the masonry wall is idealised as an elastic, homogenous and isotropic panel. Therefore, it is assumed that diagonal cracks at shear failure are caused by the principal tensile stresses which develop in the wall when subjected to a combination of vertical and lateral load. By this assumption, formation of diagonally oriented cracks, passing through masonry units in the case of a brick masonry wall or passing through stones and mortar in a homogenous stone masonry wall without regular mortar joints can be easily explained. Clearly this approach fits the assumptions made in the solution technique implemented in this study for the masonry infills.
Tomazevic [8] reports that by correlating a large number of tests results, the ratio between the tensile and compressive strength of any type of masonry varies between, 0.03f k <f tk <0.09f k (9) Therefore, making it possible to assess the value of the masonry tensile strength, if only the value of the compressive strength is available.
Finally it is to be noted that with the method employed shear failure on mortar beds occasionally noted in laboratory experiments running along the entire length of the masonry panel are reproduced indirectly when the principle tensile strength is exceeded at a very low angle to the horizontal as per the argument developed above. The overall behaviour of the panel is still captured in this way, with the recognition that the method averages out the presence of cracks since the one to one representation of any cracks is only considered feasible for simulations of specific tests and not for the analysis of an entire structure.
Numerical Implementation
A brief discussion of the numerical solution implemented is included, which however does not include the details of the elements inherent in the original DRAIN-3DX [4] program, but rather details the steps required for the infill element. Within each load increment the element algorithm implemented works within the overall solution procedure as shown in the flow chart in Fig. (7) as follows:
At the beginning of the n th load increment the displacements a n-1 and the stresses σ n-1 are known, as well as the unbalanced forces u n-1 from the previous load increment. The incremental nodal forces are calculated according to,
Where u n-1 are the residuals existing at the end of the previous load increment and Δf n is the n th load increment. Subsequently, the iterative process is performed with the following steps for a generic iteration i:
Step 1 The stiffness matrix K is updated
Step 2 The incremental displacements Δa i are evaluated using the equilibrium equations,
Where u i-1 are the unbalanced nodal forces resulting from the previous iteration. The total displacement vector a i is then updated,
Step 3 The incremental strains Δε i and the total strains ε i are evaluated,
Where B o is the compatibility matrix, as geometrical nonlinear behaviour is not considered.
Step 4
The incremental stresses Δσ i and the total stresses σ i are calculated,
Where D is the elasticity matrix taken as either the elastic matrix of uncracked masonry or the corresponding matrix of cracked masonry
Step 5 The stresses are corrected according to the material constitutive equations:
(a). Using the total stresses σ i , the maximum principal stress σ 1 , acting in the structural plane, is calculated.
(b).If σ 1 >f' t or if the masonry is already cracked, the stresses are updated according to the tensile modelling.
(c). Using σ i or the stresses updated in the previous step, the effective stress, σ e is calculated according to the yield function.
(d).
If σ e is greater than the initial yield stress or if it has already yielded, the stresses are corrected according to the elasto-plastic behaviour.
Step 6 The equivalent internal forces are evaluated.
Step 7 The out of balance forces are calculated.
Step 8 The convergence process is checked.
If convergence has been achieved, then proceed to the next load increment. On the other hand if the convergence criterion has not been satisfied restart the iterative cycle from step 1.
In order to establish the entire load deformation response of the structure, a displacement based incremental procedure was adopted in which a reasonable number of displacement increments was used, since the solutions are generally path dependant. In general, the size of the displacement increments used in the present work were of the order of 0.1% of the collapse displacement. On the other hand the convergence tolerances varied and were found to be very problem dependent. Fig. (7) . Flow chart highlighting the steps implemented within the overall program solution procedure in order to account for the inclusion of the masonry infill element.
MODELLING OF THE INTERFACE ELEMENTS
The boundary between the reinforced concrete frame elements and the masonry infill panel is modelled by using interface elements. The behaviour at this location is one of the most important aspects in infilled frame modelling, as the frame may separate from the panel. Therefore, the inclusion of interface elements allows for the ability to simulate the separation between the frame members and the masonry infill, once the initial bond provided by the mortar is overcome. Additionally, their use allows the masonry infill geometry to be represented with the actual geometric dimensions, since the frame members are modelled at their centreline locations, and therefore the interface elements provide the necessary link between the nodes of the frame members and the nodes of the infill panel itself.
Various options are available for simulating the interface elements. The behaviour at this boundary is rather complex as it is essentially a surface contact problem. As a matter of fact as detailed by Seah [22] , three different physical conditions may be identified, including stick, slip and gap mode. Stick occurs when the shear resistance of the interface has not been exceeded in any direction, and the points on the frame and the infill have the same displacements in either direction, thus representing initial behaviour. However, the next phase would be identified by slip, where there is no common displacement normal to the contact surface but there is a different tangential displacement, because the friction forces are transferred across the contact surface. Eventually the gap mode relates to independent displacements across the boundary of either element for each direction.
For this study, it was decided to approximate this behaviour by using an inelastic truss bar element, effectively ignoring the slip mode described above. This was done because it was considered to be overtly optimistic to apply a reliable friction coefficient between these two surfaces for the masonry materials being modelled. Moreover, in keeping with the rationale of the whole solution technique, such detail was not considered to be fundamental in capturing the essential details of the infill masonry behaviour. The method therefore disregards any tangential stresses generated between the contact surfaces, which might mean that certain detailed aspects of the overall response is lost. Clearly this is an area which would benefit from further detailed research.
Therefore, element type 1, as found in DRAIN-3DX [4] , was used for the interface elements. The element only transmits axial load and has the ability to yield both in tension and compression. The stiffness of the element is assumed to be infinitely rigid when there is no gap, and reduces to zero once separation occurs. However, in order to avoid numerical instabilities a very large number was initially specified for the stiffness. Once, the tension capacity is exceeded, separation will occur and the stiffness of the spring is reduced to zero, allowing the frame to deform independently, effectively representing the opening of a gap.
ASSESSMENT METHODOLOGY
An estimate of the seismic capacity of the LE-MIRCF building is eventually obtained by modelling the whole assemblage using the aforementioned elements, as shown in Fig. (8) . Wherein, lateral storey forces are applied to the structure in proportion to the product of the mass and fundamental mode shape, including for all the gravity loads. Much controversy surrounds the definition of a suitable set of actions to adequately represent the seismic demands on the structure, due in part to higher mode effects, [23] . However, in this study, the shape of the lateral load profile has been kept constant. The analysis therefore provides the loaddeformation relationship of the assemblage under the assumed loading, thus enabling the evaluation of the seismic capacity of the construction and yielding invaluable information in terms of the structure's performance characteristics. By using numerical elements which inherently account for the strength and stiffness degradation of the reinforced concrete members when subjected to deformations, the capacity of the structure is traced automatically.
As was previously described, the mathematical model employed for the reinforced concrete elements, only accounts for inelastic coupled axial-flexural deformations, and an alternative approach has to be adopted for predicting and accounting for the possibility of other important failure mechanisms, most notably that of local shear failure. Moreo- ver, limits also need to be set on the flexural deformation capacity of the members, as a solution might still be obtained even if the concrete in a member has effectively crushed. Clearly therefore, in order to enable a meaningful evaluation of the seismic capacity of a structure, account has to be taken of all possible significant failure modes. This is accomplished by establishing the strength and deformation capacity of the reinforced concrete members individually, thus allowing one to establish limit or performance points along the individual member response curve. These points will eventually be used as a check in scrutinising the results for the complete structural assembly at each analysis step, indicating instances of local member failure where they are surpassed. Fig. (9) outlines the proposed methodology, where the approach enables damage assessment and failure prediction by monitoring and comparing the demands imposed by the lateral load and the corresponding capacities of the individual members, together with the deformation capacity of the whole structure [24, 25] . The overall effect on the structure is inevitably structure specific and open to considerable engineering judgement, as the incipient moment of collapse or failure is never a deterministic and unique occurrence. Indeed, its definition changes according to the goal of the particular assessment, as is defined through the various performance objectives detailed in modern assessment guidelines, e.g. life safety performance, immediate occupancy performance or collapse prevention [26] . Fig. (9) . Schematic flow-chart of the assessment methodology.
Determination of Material Characteristics
In attempting to reproduce the response of any structural element or assembly to load in the inelastic range, precise knowledge of the properties of the constituent materials is of paramount importance, and ideally, for the best results to be achieved, the complete stress-stain curve of all the materials used should be known. However, when such information is missing reference is made to the literature in order to use a suitable model which describes the material behaviour, possibly from a particular relevant quantity. The first step is then to establish the complete monotonic constitutive law for all the materials.
In the case of concrete, the quantity which needs to be known is the mean compressive concrete cylinder or cube strength. From this information it is possible to construct the complete stress strain curve for plain concrete by employing one of the numerous models as suggested in the literature. In this study the approach suggested by Kappos [27] , and as referred to in Penelis and Kappos [25] is used, whereby the ascending branch is derived using the well known Hognestad's parabola, whereby the stress at any point σ c for any value of strain ε c is given by the equation, 
The value as suggested in the code CEB [28] can be assumed for the latter strain and therefore,
Furthermore, E c0 is the initial tangent modulus of elasticity.
Conversely, the descending branch is defined by the simple straight line expression as proposed by Kent and Park [29] and as referred to in Penelis and Kappos [25] . Wherein, the topmost point of the ascending branch (f c , ε c1 ) is joined to the point corresponding to a 50% strength reduction, i.e. σ c = 0.5f c . The equation for the descending branch is then given by,
where,
and the corresponding strain point ε c50 is given by the expression, 
Finally, for large strains a residual strength equal to 0.2f c was adopted as suggested by Kent and Park [29] . Moreover, in this study the approach developed by Kappos [27] is adopted in order to derive the constitutive law for confined concrete. 
Coupled Axial Flexural Deformation Capacity
Though implicitly accounting for the coupled axialflexural response, the capacity and corresponding deformation characteristics of the reinforced concrete members are also determined by means of a different fibre model analysis. This is done in order to determine the complete monotonic moment-curvature relationship of the member and hence determine the ultimate curvature of the section. Such a procedure is only necessary because the numerical environment used in the study, outputs frame element results only in terms of curvature rather than strain. The methodology and computer application used for this purpose was RC-COLA [30] .
Determination of Shear Capacity
The ideal flexural strength is only meaningful if it is supported by all other possible behaviour mechanisms not already accounted for. In this case these include the shear strength of the member, bond mechanisms and the strength of the lap splice. The determination of the latter two quantities is always bound to involve numerous uncertainties for an existing LE-MIRCF construction, and reliable results cannot be assured. However, the calculation of the shear strength is a crucial step in the assessment of such a structure.
The methodology used in this study uses a shear strength criterion for evaluating the possibility of shear failure, which is assumed to occur whenever the shear force at any instance, as calculated from the pushover analysis, exceeds the estimated shear resistance envelope of the member established according to appropriate design codes. This approach has been taken by many researcher's previously [24, 31, 32] , and is understood to usually be a conservative approach, which nevertheless has the great advantage of simplicity.
Even in this case however the problem is not a trivial one, indeed as stated by Nilson and Winter [33] , in spite of many decades of experimental research and the use of advanced analytical tools, shear failure in reinforced concrete members is difficult to predict accurately and not yet fully understood. Therefore, though it is not in the scope of this study to provide an exhaustive understanding of the complex mechanisms involved in the shear strength of concrete, it is inevitable that a few salient points are expanded on. Especially in light of the importance of closely predicting the shear capacity of the reinforced concrete members as part of the assessment process for LE-MIRCF constructions.
The more common and dangerous form of column failures occurring in LE-MIRCF constructions involve the formation of X-type cracking associated with shear failure. Fundamentally such cracking occurs in the concrete when the principle tensile strength is overcome in a particular location. Therefore, following the argument put forward for beams by Nilson and Winter [33] , the main concern in regions of high shear forces for any member, becomes that of diagonal tension failure. This results from the combination of shear stress and longitudinal flexural stress which combine to give rise to diagonal tension stresses of significant intensity. Members where sufficient transverse reinforcement is not provided to counteract the formation of large diagonal tension cracks, are then prone to fail suddenly and catastrophically. This failure mechanism is generally expected to occur before other forms of shear induced failure, such as that of web crushing and direct or punching shear, the latter evidenced by a horizontal crack right through the depth of the member. Clearly, this is just the situation faced in LE-MIRCF structures, where the masonry infill bears on the frame members locally, inducing higher coupled demands than for a bare frame structure, as shown in Fig. (10) . Therefore, as explained by Nilson and Winter [33] and abridged below, the corresponding values of the moment and shear forces acting at any location affect the magnitude as well as the direction of the diagonal tension stresses. Two behavioural extremes are identified by the authors: (a). Where a large shear force acts concurrently with a small bending moment, little prior flexural cracking if any is expected, and consequently theoretically a full concrete section is available to resist the shear force. In such cases it has been found that so called web shear cracks form when the diagonal tension stress in the vicinity of the neutral axis becomes equal to the tensile strength of the concrete at an average shear stress of , Fig. (10) . Action effects induced in the reinforced concrete column due to the interaction with the masonry infill panels.
(b).Conversely, where both the shear force and the bending moment have large values, flexural tension cracks form first. When the diagonal tension stresses at the upper end of one or more of these cracks exceeds the tensile strength of the concrete, the crack bends in a diagonal direction and continues to grow in length and width. At the instant when such flexure-shear cracks form, the average shear stress is larger than that given before. This is so because the pre-existing tension crack has reduced the area of uncracked concrete which is available to resist shear to a smaller value, whilst the simultaneous bending and shear stresses combine to further increase the diagonal tension stress. Under these conditions the nominal shear stress at which diagonal tension cracks form and propagate is conservatively taken by roughly one half the value at which they would form if the moment was negligible, hence,
Thus, the shear at which diagonal cracks develop depends on the ratio of shear stress to bending stress at the top of the flexural cracks. As neither of these can be accurately calculated, resort is made to the ratio V.d / M, [33] . The nominal shear stress at which diagonal flexure-shear cracking develops is then conservatively predicted from the following expression, Error! Objects cannot be created from editing field codes. (24) Nonetheless, columns are inevitably subjected to significant axial loads acting simultaneously with shear and flexure. Therefore, the diagonal tension cracking stress is altered by the longitudinal force as it changes the characteristics of the principal tensile stresses, [33] . As a matter of fact axial compression increases the cracking load whilst axial tension decreases it. In this case therefore recourse is made to the method proposed in ACI 318-83 [34] , whereby the effect of axial compression is made by using the modified moment M as follows, (25) The upper limit for the diagonal tension cracking stress is then, (26) In the case where members carry significant axial tension as well as bending and shear, the contribution of the concrete can be taken as, (27) In conclusion, the shear resistance of a member should ideally be predicted whilst accounting for the interactive relationship which exists between action effects namely, axial force and moment, as shown in Fig. (10) , yet also reflecting the amount of flexural inelasticity in the member. Traditionally, whenever the truss model is employed to estimate the shear strength under earthquake loading, a simple way of accounting for the latter has been to adopt the CEN EC 8 [35] suggestion, whereby the concrete mechanism term, V cd is neglected in plastic hinge regions [25] . However, as the authors state, this is appropriate for beams with significant inelasticity, such as for a member with a rotation ductility greater than four. But it is considered conservative for columns with significant axial loading, for which V cd = 0.33 might be assumed, as suggested by Priestley and Seible [36] . Unfortunately, though convenient, such an approach requires the calculation of the ductility at each stage of the non-linear analysis, in itself a quantity not without some degree of controversy [37] . To date, no approach fulfils all these requirements in available published literature, however the calculated shear capacity as predicted from equations (22) to (27) is expected to be conservative.
Nevertheless, the method enables more realistic predictions than if only the shear force value from the analysis was compared to the shear capacity of the section without considering the value of the moment action effect on the section. Finally, it is important to mention that the other two types of shear failure also have to be checked for including diagonal compression failure or web crushing and sliding shear failure. The latter two cases are not expected to be the critical cases for the columns in masonry infilled frames however, and in this study the equations as proposed in CEN EC 8 [35] were used for their calculation. Moreover it is also essential to mention that in the above methodology no allowance was made for accounting for cyclic shear which results in the degradation of the resistance of the member significantly. This could be done with the introduction of a corresponding factor having a value less than 1, which would be applied to the shear resistance obtained with the aforementioned technique. However, this was not pursued further during the study due to the lack of experimental data available in the literature on the subject.
MODELLING VALIDATION
In order to validate and assess the performance of the modelling methodology described, simulations of experimental tests encountered in published literature were carried out. Suitable testing programmes that lend themselves well for this purpose are very few, especially because what is ultimately required is specific data pertaining to the action effects in the reinforced concrete members, (actual values of member forces), as these would provide definitive benchmark points. However, such detail is rarely available, probably due to the difficulty encountered in physically gathering such information.
Nevertheless, in the absence of such information, a detailed description of explicit member damage also provides invaluable knowledge, which enables specific judgements to be drawn on the validity of the proposed methodology. It is important to note however, that the exact reproduction of experimental results is not expected nor is it deemed possible with the approach adopted. What is sought rather is the accurate prediction of local damage, such as shear failures occurring as a direct result of the frame infill interaction. The experiments were chosen in order to encompass a variety of scenarios, including varying number of bays, storeys, infill materials and openings.
The simulation of the experimental programme described in Al-Chaar et al. [38] and Colangelo [39] were chosen as benchmark verification examples undertaken, the results of which can be found in Ellul [2] . Moreover, comparisons were also drawn against simulation results obtained using inclined strut models in order to highlight the differences between the two. From this benchmarking exercise the results as obtained against the Buonopane and White [40] experiments is summarised below.
The Buonopane et al. Experiment
The final benchmark verification example was based on the test reported by Buonopane and White [40] , wherein the seismic evaluation of a two-storey, two-bay reinforced concrete frame infilled with masonry, was performed by pseudodynamic testing of a half scale specimen. The assemblage consisted of a gravity load designed reinforced concrete frame infilled with an un-reinforced masonry constructed from concrete masonry units in direct bearing to the frame members and with window openings in the second-storey walls, Fig. (11) .
Four separate pseudo-dynamic tests, each with increasing intensity, were conducted on the same assemblage. The ground motion applied throughout the series was the TaftLincoln School S69E record of the event that occurred at Kern County, California, on July 20, 1952 , and the initial test was for the case where the peak ground acceleration was scaled to 0.10g. Similarly, the subsequent tests were conducted using the same record, but with the peak ground acceleration scaled to 0.35g, 0.55g and 0.80g respectively.
In order to verify the general applicability of the proposed modelling methodology, an assessment of the performance of the structural assemblage was undertaken by means of the numerical model shown in Fig. (12) . In this case the applied loading was assumed to be distributed among the storeys in the same proportion as the inertia forces that correspond to the fundamental period of the structural system, which is equivalent to the characteristic shape of the fundamental mode [25] .
The masonry material properties given in the reference include the compressive strength over the net area of 10.1 N/mm 2 for a three course masonry prism. Each concrete masonry unit was reported to have a gross area of 17,800 mm 2 and a net area of 9,400 mm 2 , thus implying that the resulting gross area compressive strength was of circa 5.2 N/mm 2 . By assuming an orthotropy factor of two, the horizontal masonry strength was then around 2.6 N/mm 2 . Similarly, for the Young's modulus quoted of 7,550 N/mm 2 , that would mean a Young's modulus of 3,500 N/mm 2 in the horizontal direc- Fig. (11) . The layout for the test Buonopane and White [40] . The overall load-displacement curve as predicted by the numerical simulation using nonlinear static analysis, is compared to the hysteretic response reported in [40] , for the final test having a peak ground acceleration of 0.80g, and is shown in Fig. (13) . It is important to note however, that the latter was conducted on an already damaged structure with at least several cracks already clearly visible in the infill panels. This is considered to explain the fact that the ultimate strength capacity of the structure appears to be overestimated with respect to the experimental response. Thus the masonry material parameters defined in the numerical simulation were reduced to those shown in Table 1 , in an attempt to approximate the state of the structure at the start of the final test. Reasonable agreement was therefore achieved between the two, with the pushover curve bounding the experimental response, whilst also predicting the correct representation of initial stiffness. Further refinement might be achieved by using a medium stiffness instead of the initial one, but this was not pursued further in this case. Fig. (13) . The overall structural response in terms of the load versus displacement diagram for the experiment by Buonopane and White [40] , and that of the simulation.
The structure's overall mechanism of failure was also adequately captured by the simulation and this is best seen by referring to Fig. (17) . The latter depicts the ratio of the first storey displacement to the second storey displacement throughout the analysis. It shows that whilst initially the ratio is around 0.5, thus confirming the first mode force distribution defined, as the peak load is reached the ratio adopts an upward trend and increases sharply. This result corresponds to the behaviour observed during the experiments and shown in the inset of the same figure, wherein the normalised deflected shapes at peak first storey displacements is shown for all four tests. It can be seen that during the first three tests, the inter-storey drifts are roughly equal in each storey, but in the final 0.80g test, in the words of Buonopane and White [40] , "the demand on the lower storey exceeded its capacity and a rapid loss of stiffness allowed for the soft storey response". Fig. (14) . The final deflected shape as obtained from the simulation also showing membrane cracking and RC shear failure. Fig. (15) . The final crack pattern following the 0.80g test as reported by Buonopane and White [40] .
The individual reinforced concrete member response was scrutinised by means of the shear demand versus supply plots for each member and the most critical column segments are shown in Fig. (16) . From the latter it is seen that the simulation predicts that the central column fails in shear at its top end, whilst the top of the windward column is also very close to failure. Moreover, the maximum axial strains indicated that no spalling of the concrete or buckling of the steel was predicted, though extensive flexural/tensile cracks were anticipated due to the combination of the direct tensile and flexural stresses occurring throughout the height of the windward and central column both of which were in direct tension. Fig. (16) . Shear demand versus supply for the most critical reinforced concrete column segments throughout the analysis.
These results are corroborated by the observations reported from the experimental tests, as seen in Fig. (15) , which depicts the final crack patterns following the last test. Indeed, it is reported in the reference that following the 0.10g record, the structure remained essentially undamaged with no visible cracking, as confirmed by a hysteretic response similar in magnitude to that observed during preliminary static testing. On the other hand nonlinear behaviour was observed in the following test, carried out for a peak ground acceleration of 0.35g, where the separation between the infills and the surrounding frame was noticed. However, no specific damage to the reinforced concrete members or to the infill panels was reported for this test.
On the other hand, the reference states that the final tests at 0.55g and 0.80g produced significant damage and degradation of the infill and frame. In fact, it is reported that during the 0.55g test the second storey developed major diagonal cracks from the window corners to the panel corners in both directions, wherein the majority of this cracking was observed to have occurred relatively early in the record. Moreover, opening and closing of gaps between frame and infill was also noticed. In the final test, the 0.80g, minor additional cracking occurred in the second storey, however, the first storey exhibited severe cracking with severe bed joint cracking being reported, substantial bed joint sliding in the upper courses of the masonry, and even spalling of some blocks directly adjacent to the column. Furthermore, shear cracking occurred at the top of the centre and windward column.
The assessment of the assemblage performed with the pushover analysis correctly predicted the overall structural response even under dynamic loading, but more importantly it also allowed the prediction and extent of local member damage as well, as evidenced from Fig. (14) which shows the final deflected shape from the simulation with the overlying expected local shear member damage. Fig. (17) . Ratio of inter-storey drifts predicted during the simulation clearly showing the development of a soft storey mechanism and agreeing with the recorded experimental results shown in the inset [40] .
THE INFLUENCE OF DIFFERENT INFILL DIS-TRIBUTION
In order to study the possible effects of different infill configurations on the lateral structural behaviour of a prototype building [2] , a single central frame was chosen and modelled as a planar structure. However, in order to allow for a broader understanding of these effects, two different bare reinforced concrete frames were considered, differing only in the orientation of their columns. Therefore, a strong bare frame was defined as being that where the column's major axis where oriented in the page's planar direction. On the other hand, the weaker frame was specified as having identical geometry, except that the column's weaker axis corresponded to the page's planar direction. The effect of infill distribution on LE-MIRCF constructions was then explored by classifying the various geometrical possibilities into three main categories, as shown in Fig. (18) . The first group marked A, specifically dealt with the consequences of omitting an entire bay of infills throughout the height of the structure, thus representing a relatively uniform distribution of stiffness throughout the height of the frame. On the other hand, group B examined the effects of omitting infills from certain floors only, such as with the infamous soft storey configuration, whilst the third set investigated the influence of different opening configurations on the structural performance. The whole aim of this part of the study was not to provide results for all possible configurations, since the sheer amount of possible structural combinations precludes any meaningful extrapolation of the findings based on a manageable sample size. Rather, the goal was limited to highlighting the importance of accounting for the presence of masonry infills. This is done by demonstrating the difference in behaviour between the resulting configurations, brought about simply by changing the distribution of the masonry infills and in the case of infills with openings, the infill geometrical characteristics. Additionally, in order to ensure that the least possible contribution in both strength and stiffness was made from the infill material, the masonry infill panels were chosen to be constructed from the weakest masonry. For it stands to reason to expect that, if significant behavioural changes are noticed using the weakest infill, then the effects of using a stronger masonry are amplified.
The load deformation responses of the numerical specimens were followed through to failure by means of the capacity curve. The latter was established using nonlinear static pushover analysis, wherein the loading profile used was a triangular one, commensurate to the dominant first mode distribution of the seismic loads. Gravity loads accounted for during the analysis included the selfweight of the reinforced concrete members, a finishes surcharge of 1.0 kN/m 2 and a live loading of 2.0 kN/m 2 , only 30% of which was considered for the seismic load combination. Moreover, all infill partitions were assumed to be located on the beams. Their weight was accounted for by assuming a uniform beam load of 3.6 kN/m per metre run of the wall, which was included in the model by means of an axial load on the beam column joint imparted from the beam reaction.
Comparison of Structural Behaviour
The final deformed shapes obtained from the analyses, for the weak frame configurations are shown in Fig. (19) , whilst those for the strong frame are not reported due to their comparative similarity. Conversely, the relative performance of each configuration is reviewed by means of the capacity curves as shown in the sequence of figures from Fig. (20 to  25) , for each analysis series and for both frames. In these figures, for a clearer presentation, the local performance points are only shown when attained in the column members. However, apart from predicted joint damage failure in the bare frames and beam yielding in all the structures, no other damage was predicted apart from that shown. The different behaviour of the two bare frames is immediately apparent, and is significant when considering that the weaker one has an ultimate displacement capacity of around 30% more than for the stronger frame structure, albeit having two thirds of its initial Fig. (19) . Final displaced shapes for the weak frame assemblages.
Stiffness and three quarters of its overall lateral load capacity. As regards the effects of the infill distribution on the performance of the assemblage, each case was plotted together with the corresponding capacity curves for the bare frame case and the fully infilled frame case, which bound the behaviour of each partially infilled structure, thus allowing easier comparison. Furthermore, the difference in structural behaviour of the various configurations as opposed to the original bare frame is measured by their ratio of ultimate displacement and their ratio of ultimate lateral load capacity, both of which are reported in Table 2 .
On comparing the behaviour of the fully infilled frames, case A1, against the behaviour of the bare frames for both the strong and weak reinforced concrete bounding frames, it was seen that the introduction of the infills resulted in a lower deformation capacity of around 10% in both cases, 
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Bare though the overall lateral strength capacity was increased by over 50% for the weak frame and 30% for the strong frame. Furthermore, the gain in initial stiffness caused by the presence of the infills was of 2.5 times for the strong frame case and 3.7 times for the weaker frame, the difference in stiffness between the two being reduced to just over 10%.
The effect of omitting the infills entirely from the vertical bays was studied in the analyses series A2 to A4. For the stronger frame configurations, the deformation capacity of these new structures was at least as good as for the fully infilled frame, in two out of three instances marginally better, whilst the lateral load capacity decreased due to the lower area of infills present, as shown in Fig. (20) . Similar conclusions were drawn for the weak frame cases, in as far as the strength gain was concerned, whilst the deformation capacity was the same as for the fully infilled case, except for series A2 wherein a decrease of 10% was registered, Fig. (21) . In general therefore for this particular structural configuration, the omission of an entire bay of infills throughout its height did not prove detrimental to the structural performance.
However, if the presence of shear failures are considered, then a different scenario is anticipated. In fact for the weak frame, specimens A3 and A4 are predicted to suffer shear column failures at the top of the ground storey columns, close to the spalling performance point. Hence, if the shear performance point was taken as the displacement limit, the total decrease in predicted displacement capacity would be no less than 15%. For the strong frame configuration, only frame A3 suffers a similar fate, but then just before the concrete crushing strain is attained, which is understandable given the significant increase in the column depth.
For both the strong and weak frame types, the first yielding, spalling and crushing of the columns generally occurred at the same deformation level as for the fully infilled case, and slightly earlier than for the bare frame cases. Finally the similar behaviour of all the configurations in this series, at least in terms of global deformations, is confirmed by reference to Fig. (22) , where the inter-storey drifts at predicted collapse are shown for each configuration having the weaker reinforced concrete frame. It can be seen that whereas configurations A1, A2 and A3 exhibited a similar mechanism at failure, that of assemblage A4 was more akin to the behaviour of the bare frame.
On the other hand significant differences in behaviour were noticed for the structures in the B series, which set out to identify behaviour due to significant change in stiffness Fig. (21) . Capacity curves -A series weak frame. Fig. (22) . Inter-storey drifts at the ultimate displacement for the A series weak frame. between adjacent storeys. As expected the soft ground storey structure represented by case B1, resulted in a much reduced displacement capacity for both frame types, with a decrease of no less than 56% for the weak frame case and over 35% for the strong frame case. Interestingly however, both the configurations did not result in the lowest ultimate load capacity gain, which was attained by series A4 for both frames. Furthermore, from Figs. (23 and 24) , which depict the capacity curves for the strong frame and weak frame configurations respectively, it was also noticed that configuration B1 attained an ultimate displacement capacity of 0.3% drift, irrespective of the reinforced concrete frame strength, albeit at different lateral load levels.
As regards the configurations represented by series B2 their performance was very similar to that of the fully infilled frame for both frames, both in terms of ultimate lateral load capacity and ultimate deformation capacity as well as the inter-storey drift. The infill at the top storey therefore did not provide just capacity improvement but a slight stiffness increase. Indeed, from the analysis performed it was evident that the higher mode effects which would impose a higher demand on the upper floor were not reproduced in this case, and the structure remained relatively unscathed at this location. This is contrary to the evidence from the field [2] , which suggests an increased vulnerability for the upper floor, with collapse at this level being registered prior to that in the lower floors. It is only from Fig. (25) , which details the interstory drifts at predicted collapse, that an increased demand on the top floor was observed. However, for this assemblage the suitability of using the conventional nonlinear pushover technique with triangular distribution is severely tested and the possibility of using an adaptive pushover scheme should be investigated further. Such a conclusion is in agreement with those derived by other researchers, [41, 23] .
Conversely the increased vulnerability induced by the omission of an entire floor of masonry infills at mid-height Bare of the frame, in case B3, was predicted by the analysis for the weak frame, and a decreased deformation capacity of over 40% as compared to that of the bare frame was noticed. This is clearly understood from Fig. (25) for the inter-storey drifts, which clearly shows the pronounced demand at this floor level. Moreover, the latter also shows that the interstorey drift for the soft storey is almost equal in B1 and B3. However, this was not the case for specimen B3 having the stronger frame, as no difference in behaviour from the fully infilled frame was noticed, with no clear indication of the formation of a mechanism from the inter-storey drifts either.
The possible formation of a weak storey by omitting just a single bay of the infills at ground floor level was represented by series B4. This proved to be detrimental for both the strong and weak frame, so much so that the latter had a decreased deformation capacity of over 40%, whilst half of that amount was registered for the strong frame. Consequently, when compared to the soft storey structures of series B1 both performed better, by as much as 20% for the ultimate deformation capacity, accompanied by an increased ultimate load capacity and initial stiffness. This particular configuration clearly illustrates the hypothesis laid out in the study, that even a small change in the masonry infill distribution can prove highly detrimental to the overall lateral structural behaviour, hence the importance of applying a rational modelling technique in assessing the latter's performance. Overall, the change in stiffness induced by the different infill configurations proved to be very damaging for the B test series except for the B2 case. Nevertheless, these configurations did not give rise to premature shear failures, as concrete crushing proved to be the more damaging mechanism in all cases, even those with a soft storey.
The effect of different openings in the masonry infills was studied in the C analysis series and the results reported in Figs. (26-28) . Case C1 considered windows in each panel where the void to infill ratio was of around 0.13. On the other hand for case C2, which considered doors in each infill, the void ratio was around 0.19. In both these cases, minimal changes from the behaviour of the fully infilled frame were noticed, especially in terms of deformation capacity. However, where irregular openings were included such as in cases C3, C4 and C5 the performance of the structure was adversely affected with all three configurations registering significant decrease in the ultimate deformation capacity as compared to the fully infilled frame case. Cases C3 and C4 were intended to represent the rather common occurrence of short or captive columns, and two different scenarios were studied. The first variant was for configuration C3, where the openings did not continue up to the column face, whilst the second, case C4, had a continuous opening right across the infill up to the column face. This slight difference in geometry resulted in an increased vulnerability for the latter case, with a difference in deformation capacity of over 10% between the two, and attained at lower ultimate lateral loads for both frames.
The difference in behaviour between the two is further appreciated by referring to Fig. (28) depicting the interstorey drifts for the weaker frame cases. In fact it is seen that the mechanism at failure predicted for assemblage C3 is similar to that for the fully infilled frame A1, however that of configuration C4 resembles that of the soft storey assemblage B1. Indeed, comparison of these analysis cases demonstrates the importance of accurately representing the geometrical characteristics of each construction, whilst they attest to the strength of the proposed modelling methodology. Moreover, both the analysis cases for configurations C3 and C4 predicted shear failure for the weaker frame before crushing of the concrete was reached, which is in agreement with the observations in the field. However, this was not the case for the stronger frame, with its increased shear strength capacity of its columns, due to twice the effective depth, as a result of the different column orientation. Finally, analysis case C5 investigated the effect of having door openings only at ground floor level, thereby simulating the instigation of a possible weak ground storey mechanism, as corroborated by the predicted inter-storey drifts in Fig. (28) . In this case this configuration also proved to be very detrimental to the over- all performance of the structure for both weak and strong frames, with a decreased ultimate deformation capacity of around 20% from the fully infilled frame for the weaker frame case.
The C test series also attests to the versatility of the modelling methodology applied. Indeed, the configurations studied could not have been confidently analysed using the inclined strut approaches, which is cumbersome and irrational when used for such configurations. Conversely, the modelling technique employed allowed for even minor changes in the geometric characteristics of the openings, such as was the case between specimens C3 and C4, where appreciable differences in behaviour where noticed between the two.
CONCLUSION
A mezo-modelling technique using a continuum model for the analysis of masonry infills has been formulated in terms of plasticity concepts. Two failure mechanisms have been distinguished, one associated with the tensile strength of the material wherein a smeared crack approach was implemented and the other in terms of compression where a crushing criterion was defined when a complete stress-strain curve was unavailable. The element was combined with an overall modelling strategy for simulating LE-MIRCF constructions, and implemented in a numerical environment widely used in the field of earthquake engineering. A better estimate of the action effect distribution within the rein- 
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Bare forced concrete framing members is therefore achieved without the need of an overtly fine mesh representation for the masonry infill panels. Furthermore, a methodology for assessing the seismic capacity of the structure has been formulated, which hinges on the ability of the modelling technique to predict sufficiently accurate estimates of the action effects within the reinforced concrete members especially to predict shear failures in the members taking into account the interaction of all the action effects in determining their shear capacity. Thus, allowing for a better overall estimate of the seismic capacity of LE-MIRCF constructions.
The solution method suggested, together with the corresponding assessment methodology, has been verified against different published experimental results. In this way the general applicability of the model has been ascertained for different structural assemblages and material characteristics. What has emerged is that the proposed modelling technique generally provided solutions in agreement with the experimental response without requiring significant calibration. This was in direct contrast to the diagonal strut methods which relied solely on calibration to give a response close to the experimental test results. More importantly however, the latter simulations provided deformation responses which were not backed up by local failure predictions. For the membrane model with interface elements, the location of damage, most notably that of shear failure was correctly predicted in most cases. The model therefore needs fewer assumptions and is less sensitive to the unknowns, hence providing more reliable results than the inclined strut approaches.
The analyses carried out have confirmed the significant influence of the masonry infill distribution on the performance of the structure. Indeed, though many configurations might not have adversely affected the structural behaviour and the corresponding survivability to ground motion when compared to the demand, certain other configurations proved highly detrimental. These included the assemblages representing any significant change in the stiffness of the structure between one floor and the next such as that caused by the configurations B1, B3, B4, C4 and C5.
An even better representation of the structural response might be expected with the implementation of an Adaptive Nonlinear Static Analysis [42] procedure. This would then counter the limitation of using a triangular force distribution throughout the analysis. Since, instead the updated stiffness and modal properties of the structure at different levels of inelasticity would be used to update the lateral load distribution, thereby capturing higher mode effects.
Nevertheless, the analyses confirmed the perceptions gathered from the field observations, that for certain infill configurations the infills actually precipitate overall structural failure merely by their distribution or geometrical characteristics, such as the location of doors and windows in sensitive locations. In fact it became increasingly clear that masonry infills generate unique characteristics with each distribution. Hence, general conclusions are not easily drawn, as unpredictable behaviour can easily ensue. Nevertheless, it has been shown that the fully infilled frame configuration undoubtedly outperformed the bare frame structure and had improved survivability. Conversely, the soft storey configuration proved detrimental for each case considered and for both the strong and weak frame configurations. However, the delicate balance between improvement and degradation of the response is had by reference to series B4 and C4, where slight adjustments to the infills eliminated any advantage from the infill presence altogether. Fig. (28) . Inter-storey drifts at the ultimate displacement for the C series weak frame. A1  C1  C2  C3  C4  C5 
